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Abstract
In recent years there has been renewed interest on integral abutment bridges
(IABs), mainly due to their low construction and maintenance cost. Owing to
the monolithic connection between deck and abutments, there is strong soil-
structure interaction between the bridge and the backfill under both thermal
action and earthquake shaking. Although some of the regions where IABs are
adopted qualify as highly seismic, there is limited knowledge as to their dynamic
behaviour and vulnerability under strong ground shaking. To develop a better
understanding on the seismic behaviour of IABs, an extensive experimental cam-
paign involving over 75 shaking table tests and 4800 time histories of recorded
data, was carried out at EQUALSLaboratory, University of Bristol, under the aus-
pices of EU-sponsored SERA project (Seismology and Earthquake Engineering
Research Infrastructure Alliance for Europe). The tests were conducted on a 5 m
long shear stack mounted on a 3 m × 3 m 6-DOF earthquake simulator, focus-
ing on interaction effects between a scaled bridge model, abutments, foundation
piles and backfill soil. The study aims at (a) developing new scaling procedures
for physical modelling of IABs, (b) investigating experimentally the potential
benefits of adding compressible inclusions (CIs) between the abutment and the
backfill and (c) exploring the influence of different types of connection between
the abutment and the pile foundation. Results indicate that the CI reduces the
accelerations on the bridge deck and the settlements in the backfill, while dis-
connecting piles from the cap decreases bending near the pile head.
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compressible inclusion, integral abutment bridges, pile-to-cap connection, shaking table test-
ing, soil structure interaction
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1 INTRODUCTION

Bridges represent the largest investment and the most vulnerable element in transportation networks.1–4 Their function-
ality is crucial both under working conditions and after rare events such as strong earthquakes. In seismic regions, bridges
are often designed as statically determined systems using bearing supports and expansion joints between the girder, the
piers and the abutments. This allows for bridge movements due to gravity, thermal gradients, traffic and dynamic loads,
yet forces the joints to undergo cyclic motions which, in turn, require expensive routine maintenance. Extensive dam-
age to bridges, including pounding and unseating of decks at the joints, has been observed in the aftermath of strong
earthquakes.5,6
Integral abutment bridges (IABs) provide an alternative design approach characterised by a monolithic connection

between the deck and the abutments. From a structural point of view, the use of amonolithically cast frame superstructure
has several advantages over traditional designs such as reduced sagging moment at mid-span, smaller girders and smaller
intermediate supports.7,8 Furthermore, these designs are characterised by improved durability (i.e., reduced corrosion
and material degradation at the joints), lower costs associated with construction and maintenance9 and improved driving
comfort. On the other hand, thermal and lateral loads induce high stresses in the structure due to the rigidity of the deck-
abutment connection.10 Depending on bridge length, the absence of expansion joints to accommodate creep, shrinkage,
and thermally induced cyclic loading, may cause significant fatigue-related distress on the piles11 as well as densification
in the backfill.12 Moreover, the monolithic rigid frame design of the IABs may lead to strong bridge-abutment-backfill
interaction under seismic loading.
IABs have received increasing attention by designers in recent times and are widely used inmany countries for small- to

medium-span highway bridges and overcrossings.13 They constitute a significant part of the transportation infrastructure
stock with an estimated number in service in excess of 9000 in the United States alone.14,15 The technique is becoming
increasingly popular in Sweden, UnitedKingdom and Japan,16 while designs vary according to practices and requirements
outlined by local transportation agencies. For instance, in the UK the design often involves spread footings and embedded
abutments, whereas in the rest of Europe a range of pile configurations are employed. In the United States a single line of
H-piles is typically used to support abutments.17,18 Currently, the design of long-span integral abutment bridges is limited
to conservativemaximum lengths due to a lack of available design guidance.19–22,11 In theUK, the design provisions restrict
the spans to 60 m and limit the skewness to 30◦,23 even though the bridges are not designed for earthquake loads.
Given the economic viability and widespread use of IABs, their mechanical behaviour should be thoroughly inves-

tigated under both static and dynamic loads. To this end, there is a clear need for developing know-how as to IAB-soil
interaction to feed relevant research findings into design code development.24 Some national codes and guidelines
offer provisions for the static design of IABs.25–27 On the other hand, in earthquake-prone areas in Europe such as
Italy and Greece, the use of IABs is limited mainly due to a lack of explicit design guidelines for seismic loads (e.g., no
explicit clauses are provided in the Eurocodes), but also due to a shortage in dependable mechanistic models to predict
their response.
With reference to soil-structure interaction (SSI), the response of deck, abutments and embankments is strongly cou-

pled: inertial actions are transmitted from the girder to the abutments which, in turn, are in contact with the embank-
ments. Passive earth pressures acting on abutments can help resist earthquake forces, but may also act as a destabil-
ising force.28,29 Seismic actions could also cause an abrupt increase in forces and an irreversible build-up of lateral
earth pressures.30 In this light, some authors have proposed the use of compressible inclusions (CIs), such as expanded
polystyrene (EPS) geofoam, to be interposed between the abutments and the backfill to mitigate earth pressures and
uncouple the response of the bridge from that of the backfill.31–34,11
In order to investigate their response to earthquakes, structural monitoring was carried out in the 1990s on American

highway overcrossings in earthquake prone areas. The monitoring of two-span integral abutment overcrossings in Cali-
fornia quantified the dynamic contribution of embankments and showed that the natural frequency and damping of the
soil-structure system are sensitive to the intensity of ground motion.35 It was also observed that even if the superstructure
remains linear, which is anticipated in IABs, local nonlinearmaterial behaviour in the backfill could result in nonlinearity
in the entire soil-bridge system.36 Based on these early studies, various mechanistic models have been proposed for the
numerical modelling of relevant SSI effects.37–40 However, there is a notable lack of know-how to address a wide range
of bridge systems and soil conditions, since seismic response of IABs is governed by a series of complex, interdependent
mechanisms. As themonolithic frames are designed to resistmoments, one of the locations to look for seismically induced
damage is the connection between the superstructure and the abutment.41 Although post-earthquake investigations have
clearly shown that IABs suffer less structural damage than conventional bridges,42 in cases where appreciable damage
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has occurred this is usually confined to the abutment walls and the piles. As the backfill is subjected to recurrent cyclic
traffic loads during IAB’s operation, the soil material is further compacted, and the lateral earth pressures exerted on the
abutment wall grow. This effect is aggravated when seismically induced loads cause a further densification and subse-
quent increase in lateral thrusts. Post-earthquake reconnaissance studies in New Zealand following the 2010 Darfield,
2011 Christchurch, 2013 Cook Strait and 2013 Lake Grassmere earthquakes have revealed damage patterns on the lateral
earth pressure bearing elements.42
With reference to boundary conditions, the presence of CIs between the abutment and the backfill allows dissipation

of lateral earth pressures. In some early applications inclusions of this type were employed against static loads,43,44 while
more recently their usewas extended to earthquake induced earth pressures against rigidwalls.33,45–47 Moreover, CIs allow
for controlling displacements of the backfill which can be used in performance-based design.48,49
Based on 1-g shaking table tests on a 1-m high geofoam isolated rigid retaining wall, Bathurst et al45 observed that CIs

reduce dynamic earth pressure loads by about 15-40% depending mainly on the density of the geofoam buffer. Up to a 50%
reduction in dynamic lateral earth pressure for flexible cantilever earth retaining walls has also been reported in a recent
experimental study by Ertugrul et al.47 Similar 1-g shaking table tests carried out by Reddy and Krishna50 exhibited even
higher reductions (by about 70-80%). Such reductions were achieved by adding shredded tire chips behind the wall.
Experimental investigations of SSI with a focus on the potentially beneficial/detrimental role of integral abutments on

seismic response are rare. Quarter scale two-span and four-span bridge models were tested at the University of Nevada at
Reno,51 while shaking table tests exploring the abutment contribution to the dynamic bridge response were conducted at
the University of California in San Diego.52
Motivated by the limited knowledge in the subject, an extensive experimental campaign, involving over 75 tests on a

scaled, IAB model, was conducted at the Earthquake Engineering Laboratory (EQUALS), University of Bristol (UoB), as
part of the EU-funded project SERENA, under the auspices of the EU-SERA transnational access research project.53,54
The tests were designed to investigate the earthquake response of IABs and associated SSI effects between the bridge, the
backfill, the abutments and the pile foundation. The main objectives of the project are discussed in section 2, followed by
a description of the experimental configuration (section 3). The design of the physical model and its scaling is discussed
in section 4. Sections 5 and 6 present experimental results and a set of conclusions.
The novel set of shaking table tests reported in this article focus on exploring the potential benefits stemming from the

use of CIs and non-moment resisting pile-to-cap connections in different combinations, with emphasis on SSI. One of the
main challenges addressed herein is the scaling of the SSI problem to fit the laboratory capabilities (size-wise), without
compromising similitude to furnish results that can be employed in design of real bridges. The aim of the study is to reduce
the epistemic uncertainty associated with IAB dynamics and provide experimental data to support development of design
guidelines for bridges of this type.

2 SERENA PROJECT

The focus of the herein reported tests is to explore: (a) the earthquake response of IABs including dynamic earth pressures
on the abutment walls and bending of the piles supporting the abutments, (b) ways of minimising the associated demands
using pertinent design solutions such as disconnecting the pile heads from the cap and the abutments from the backfill
through installation of CIs and (c) induced settlements due to dynamic condensation of the backfill.
The design of the model was constrained by the dimensions of the shear stack, the need to avoid boundary effects

and the necessity to ensure symmetry and facilitate the interpretation of the results. To this end, a single-span model
with flexible abutments was adopted. The foundation has a double row of piles which is a rational design approach in
seismic regions, although in the United States the trend is to have only one pile row.13 A novel approach using differ-
ent scaling factors for the deck and the abutment is developed, as described in the following. The main goal is to pre-
serve the relative stiffness proportions between the structure and the soil, to realistically model the relevant SSI effects.
Based on a set of IAB prototypes available in literature55,15,21,22,56,96, some general features of a representative proto-
type were adopted (Figure 1). In the herein reported experiments, the central part of the bridge, including the pier at
mid-span, is not explicitly modelled. Moreover, some additional simplifications had to be accepted. Specifically: (a) the
backfill surface lies at a different elevation with respect to the deck; (b) the approaching slab, usually present in actual
bridges, was not realised in the model; (c) the cross-sections of the deck beams employed are not representatives of spe-
cific prototype bridge sections, but were selected to model a variety of configurations including single- and multi-span
designs.
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F IGURE 1 Example of double-span integral bridge (dimensions in meters)

F IGURE 2 A, Integral Bridge model inside the shear stack of EQUALS, University of Bristol, filled with sand; B, section of the bridge
model. All dimensions are in mm

3 EQUIPMENT, MATERIALS AND TEST CONFIGURATIONS

3.1 Earthquake simulator

The 6-DOF earthquake simulator (ES) of the Earthquake and Large Structures Laboratory (EQUALS) at University of
Bristol was employed for the experimental campaign. The ES consists of a 3 m × 3 m cast aluminium platform weighing
3.8 tons, is capable of carrying a maximum payload of 15 tons. The ES is referred in the ensuing to as the ’shaking table’.
The ES is driven by eight hydraulic actuators (four horizontal and four vertical) with a dynamic capacity of 70 kN each
and a maximum stroke of 300 mm. The ES is capable of providing accelerations of up to 1.2 g (vertically) and up to 1.6 g
(horizontally) for 10 tons of payload. Its frequency operating range is 0-100 Hz.

3.2 Specimen geometry and configurations

Scaled physical models consisting of piles, abutment footings and walls, bridge deck, foundation and backfill soil were
installed in the large equivalent shear beam container, which is referred in the ensuing to as the ’shear stack’. The internal
dimensions of the shear stack are 4.8 m (length) by 1 m (width) by 1.2 m (depth).57
The flexible shear stack was employed to mimic free-field boundary conditions and minimise the effect of physical

boundaries on the dynamic response of the soil. A further precaution in preventing boundary effects was taken by placing
the structural model sufficiently far from the physical boundary. It is commonly agreed that even for rigid-wall experi-
mental containers, structures of interest placed at a distance of 1-1.5 times the height of the container are not significantly
affected by edge effects.58 The IAB model was placed in the middle third of the shear stack’s length (Figure 2).

3.3 Soil properties

The physical properties of dry Leighton Buzzard sand59,60 employed for the foundation and the backfill are shown in
Table 1. The minimum and maximum density values for the sand were determined at 14.5 kN/m3 and 16.2 kN/m3 at the
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TABLE 1 Foundation and backfill void ratio e [ ] and relative density Dr [%], reported in parenthesis, for dry Leighton Buzzard sand
fraction B; specific gravity of soil grains = 2.65

Soil layer Minimum Maximum Achieved
Foundation 0.635 (0) 0.827 (100) 0.687 (73)
Backfill 0.635 (0) 0.827 (100) 0.766 (32)

TABLE 2 Details of the five shaking table test configurations: NoEPS, EPS1, EPS2 have 0, 1 and 2 layers of PU foam, respectively; noCP,
CP have released and connected pile heads

Test number Designation PU foam layers Pile head fixity
1 EPS2-CP 2 Fixed
2 EPS1-CP 1 Fixed
3 noEPS-CP 0 Fixed
4 noEPS-noCP 0 Non-fixed
5 EPS1-noCP 1 Non-fixed

Technical University of Kaiserslautern in accordancewith International Organization for Standardization.61 The sandwas
pluviated in the shear stack following the procedure described in Kloukinas et al.60 Ensuing the pluviation of a 400 mm-
thick foundation layer to embed the piles, the sand was levelled in 5 mm-thick layers and densified by applying a white
noise signal. Following the alignment of the IAB structurewith the pile heads, the backfilling of the 600mm tall abutments
was completed. A density difference was achieved to mimic the stiffness contrast between the backfill (γ = 15.0 kΝ/m3,
Dr = 32%) and the natural foundation soil (γ= 15.7 kΝ/m3, Dr = 73%), by not levelling the sand but simply applying white
noise at the end of pluviation. The corresponding ’effective’ low-strain shear wave propagation velocities, at 2/3 of the
thickness of the backfill and the foundation soil layers, were estimated by means of the Hardin and Drnevich equation62
at 105 m/s (G = 17 MPa) and 133 m/s (G = 28 MPa), respectively.

3.4 CI: Polyurethane foam

Some test configurations made use of polyurethane (PU) sheets placed behind the abutment wall. This type of foam was
employed to reproduce the EPS geofoam used in real integral bridge applications. PU foam was selected for the tests as it
is generally softer than the EPS geofoamwhich facilitates the scaling process (section 4). Furthermore, PU foams are easy
to use and store in the laboratory. The density of the CI used in this study was 16 kg/m3.
A series of loading tests were performed to determine the elastic modulus Ei of the CI using an oedometer cell equipped

with an Linear Voltage Differential Transducer (LVDT) sensor to measure displacement. Circular foam samples with a
diameter of 75 mm and a thickness of 30 mm were cut and placed inside the oedometer to be tested at three different
stress levels: 7.5, 15 and 21 kPa. The initial overburden pressure was set at 5 kPa as to reproduce the static stress on the
foam elements installed behind the abutment wall. The displacement data were acquired at a sampling rate of 1 Hz.
Notwithstanding the uncertainty in the measurements due to the high compressibility of the foam, valuable data were
obtainedwhich can be used in numerical simulations. Based on laboratory testing,Ei could be evaluated from correlations
available in literature, as a function of foam density (ρi), confining stress (σ3) and loading rate.31,63–65 A value of Ei ranging
between 3.6 and 6.3 kPa was found for the PU. Similar relationships, available in literature for EPS geofoam, provide the
Young’s modulus, Ei in the range 4.5-10 kPa for ρi = 20 kg/m3.66

3.5 Test configurations

Given the general objectives of the test programme, five (5) test configurations were investigated, combining different PU
foam thickness values with different pile-to-abutment connections, i.e., connected (CP) vs disconnected (noCP). Details
of the test configurations are shown in Table 2. After completion of each test and before proceeding to the next model con-
figuration, the soil behind the abutment wall was excavated so that the rest of backfill remained at the angle of repose (Fig-
ure 3). The amount of soil replacedwas limited by the need to avoid repositioning of accelerometers in the backfill - notably
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F IGURE 3 Layout of the instrumentation placed in the soil container and sensor numbering used in section 5 for presentation of results.
All dimensions in mm. Right side of the soil container is West. The dotted-dashed line represents the limit of soil mass removed between test
configurations 1-2, 2-3 and 4-5, indicated as *. The dotted line represents the limit of soilmass removed between test configurations 3-4, indicated
as **. In this latter case, pile heads needed to be set up for the ’noCP’ configuration (Table 2)

accelerometer #6 near the soil surface. Only when switching from configuration 3 to 4 (i.e., NoEPS-CP, NoEPS-noCP) as
per Table 2, a larger amount of soil was removed, and accelerometer #6 was repositioned. In that case, the soil removed
more-or-less corresponds to a hypothetical failure wedge originating from the edge of the footing. This approach was
considered acceptable since soil response was within a linear/equivalent-linear regime, away from failure.
The pile head connectors and PU foam were then re-arranged, and the backfill was reinstalled. The test sequence was

designed to optimise the preparation of each configuration.

4 PHYSICALMODEL DEVELOPMENT

The design of the model was governed by the capabilities of the testing equipment and was aimed at addressing key
SSI aspects of the response under seismic excitation. Following an overview of the relevant scaling laws, the model was
designed at a reasonable size to be capable of capturing the salient SSI effects. Once the model was defined, the layout of
the instrumentation was designed and the seismic input was selected, as explained in the following.
From a design point of view, the proper physical modelling of SSI allows numerical simulations of the tests providing

useful data for structural engineering modelling and integrating the current procedures suggested for static cases in the
appendix of PD 6694-1.26

4.1 Dimensionless parameters influencing SSI and scaling laws

For the definition of a suitable physical model, a fundamental dimensionless parameter to be preserved is the soil-to-wall
relative flexibility (dw) as defined by Veletsos and Younan,67 Equation 1. In this expression, GS is the shear modulus of
the backfill, HW is the height of the abutment wall and DW is the flexural rigidity per unit wall width under plane strain
conditions, given by Equation 2

𝑑𝑊 = 𝐺𝑆 𝐻3
𝑊
∕𝐷𝑊 (1)

𝐷𝑊 = 𝐸𝑊 𝑡3
𝑊
∕
[
12

(
1 − 𝜈2

𝑊

)]
(2)

in which EW, tW and νW are the elastic modulus, the thickness and the Poisson’s ratio of the abutment wall, respectively.
A retaining wall can be considered rigid if dw < 1 and flexible if dw > 5.68
An associated parameter is the relative flexibility between the rotational constraint atop the abutment and the retained

soil, (dθ), which can be defined according to Veletsos and Younan67 as

𝑑𝜃 = 𝐺𝑆 𝐻2
𝑊
∕𝐾𝑑 (3)
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where Kd is the rotational flexural rigidity of the bridge deck per unit deck width. In the same vein, a wall is consid-
ered rotationally sensitive if dθ > 1 and firm if dθ = 0. An issue to be addressed when designing the physical model is
the connection between the deck and the wall, and how stiffness variations between the two components influence the
behaviour. Considering a symmetric model (e.g., a simple portal configuration), the stiffness Kd can be represented by a
rotational spring whose modulus ranges between Kd = 8 Ed Id/Ld (perfect fixity at mid-span) and 6 Ed Id/Ld (perfect pin
at mid-span), where Ed is the deck elastic modulus, Id the deck moment of inertia (= 𝑡3

𝑑
∕12) and Ld the deck length. An

analogous equation can be defined for the relative flexibility between the rotational constraint at the base of the abutment
and the soil.67
In the presence of a CI such as a PU foam placed between the abutment wall and the soil, an extension to the model

introduced by Veletsos and Younan67 was proposed by Horvath69 and is expressed by Equation 4

𝑑𝑖 = 2 𝐺𝑆 𝑡𝑖∕ (𝐸𝑖 𝐻𝑊) (4)

where ti and Ei are the thickness and elastic modulus of the CI layer, with the rest of parameters defined above. An
analytical elastodynamic solution for the earthquake thrust on retaining walls enhanced by a geofoam layer has been
developed by Mylonakis et al,33,34 which reproduces available numerical results.70
The scale factor for the abutment wall can be obtained by matching the relative flexibilities in Equation 1 for the model,

M, and the prototype, P, that is (dw), M = (dw), P. Introducing the geometric scale factor λ = (HW),P/(HW),M, the scaling
factor for the elastic moduli of the wall material λE = (EW),P/(EW),M and the scaling factor for the soil shear moduli
λG = (GS),P/(GS),M, it is straightforward to show that the ratio of wall thicknesses between model and prototype is

𝑡𝑤,𝑀

𝑡𝑤,𝑃
=

(
1

𝜆

)[(
1 − 𝜈2

𝑤,𝑀

1 − 𝜈2
𝑤,𝑃

)
𝜆𝐸
𝜆𝐺

]1∕3
(5)

In the same vein, introducing the scaling factor for the deck length λd = Ld,P/Ld,M and the scaling factor for the elastic
moduli of the deckmaterial λEd = (Ed),P/(Ed),M, and repeating the above exercise using Equation 3 yields the ratio of deck
thicknesses between model and prototype

𝑡𝑑,𝑀

𝑡𝑑,𝑃
=

(
1

𝜆2 ⋅ 𝜆𝑑

)1∕3 [
𝜆𝐸𝑑
𝜆𝐺

]1∕3
(6)

in which the plane strain assumption has not been adopted as the deck is not transversely constrained. Note that if one
employs identical geometric scaling factors for the wall height and the deck length (i.e., if λ = λL), same materials for the
deck and the wall (i.e., λE = λEd) and neglects the (usually small) effect of Poisson’s ratio mismatch between model and
prototype, Equation 6 reduces to Equation 5.
With reference to the CIs, introducing the scaling factor for the elastic moduli of the inclusions λi = (Ei),P/(Ei),M, the

ratio of the inclusion thicknesses between model and prototype is obtained from Equation 4 as

𝑡𝑖,𝑀

𝑡𝑖,𝑃
=

(
1

𝜆

)[(
1 − 𝜈2

𝑖,𝑀

1 − 𝜈2
𝑖,𝑃

)
𝜆𝑖
𝜆𝐺

]−1
(7)

Wave propagation in the soil can be described in terms of the familiar dimensionless wavenumber

𝑘 = 𝜔 𝐻∕𝑉𝑆 (8)

where ω is the cyclic frequency of the shear wave,H is the thickness of the soil layer and Vs is the shear wave propagation
velocity in the soil.
Introducing the scaling factor for shear wave propagation velocity λV = VS,P/VS,M, one obtains the ratio of excitation

frequencies between model and prototype in the form

(
𝜔𝑀
𝜔𝑃

)
= 𝜆∕𝜆𝑉 (9)
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The above scaling factor can be further explored by recalling that λV is proportional to λG1/2 while λG for non-cemented
sands is approximately equal to λ1/2.71–73 This yields the simpler expression

(
𝜔𝑀
𝜔𝑃

)
≈ 𝜆∕𝜆1∕4 = 𝜆3∕4 (10)

which can be interpreted as a dynamic time scaling factor, λt (section 4.4) in accord with the geotechnical literature71-73.
It is noted that the alternative expression (ωM/ωP) = λ1/2 recommended in the structural engineering literature74 should
not be used in problems of this type as it does account for the dependence of soil shear modulus on overburden pressure.
For the IAB at hand, considering an abutment wall with prototype heightHW,P = 6 m and model heightHW,M = 0.57 m

(Figure 2), yields a geometric scale factor λ ≈ 10. Using GS,M ≈ 17 MPa and GS,P ≈ 40 MPa corresponding, respectively, to
an average value for loose Leighton Buzzard laboratory sand along the height of the wall59 and a medium dense prototype
backfill, yields a shear modulus scaling factor λG ≈ 2.4. Using EW,M = 69 GPa for the elastic modulus of an aluminium
model (section 4.2) and EW,P ≈ 30 GPa for the concrete prototype, yields λE ≈ 0.4. Ignoring the mismatch in Poisson’s
ratios between model and prototype, Equation 5 yields tW,P = 0.032 m × 10 × (2.4/0.4)1/3 ≈ 0.60 m.
Likewise, considering a prototype span of 30 m corresponding to a deck length scaling factor λd = 30, Equation 6 yields

the prototype deck height td,P = 0.03 m × (102 × 30 × 2.4/0.4)1/3 ≈ 0.80 m where the Poisson’s ratios mismatch has, again,
been ignored (section 4.2). The CI can also be scaled up to prototype dimensions using Equation 7 to tci,P = 0.03 m × 10 ×
(1.4/2.4) ≈ 0.20 m. In this calculation, (Ei),P ≈ 7 kPa, (Ei),M ≈ 5 kPa were assumed leading to λi = 1.4.
Based on the above values, Equations 1, 3 and 4 yield dw ≈ 15, dθ ≈ 5 and di ≈ 300, respectively. Also, frequency scaling

(i.e., dynamic time) can be readily obtained from Equation 10 as (ωM/ωP) = 103/4 ≈ 5.
The following are worthy of note: (a) The results obtained for the deck thickness can be extended to multiple-span

bridges considering the zero-moment location. For example, for a two-span bridge if the pier constraint is considered as a
hinge, the bending moment for horizontal loads is equal to the single-span case. For different constraints, multiple-span
bridges and considering the effect of vertical loads, case-specific scaling laws would be needed. (b) The values of dw, dθ
and di correspond to a relatively flexible abutment, which is suitable for capturing the relevant interaction phenomena.
(c) Generic scaling laws, such as those available in literature, might be inapplicable to special problems involving SSI like
the one at hand. Evidently, the scaling laws developed in this section complement and extend the state-of-the-art in the
area.71–73,75
With reference to soil strength, it is fair to acknowledge that for conditions close to peak strength, strong dilatancy

effects, due to low levels of overburden stresses, will naturally lead to increased strength. However, such conditions do
not arise in the tests at hand (e.g. the safety factors against passive earth pressures on the abutment walls typically exceed
10) and, therefore, the linear/equivalent linear scaling procedures outlined above are sufficient.

4.2 Design of integral bridge model

Themodel geometry adopted in the tests and displayed in Figure 3 accommodates the constraints given by the dimensions
of the shear stack and the maximum payload of the shaking table. The established maximum soil height was 1 m, the
foundation soil tickness was 0.4 m (equal to the footing width B), and the backfill soil height was 0.6 m (equal to the
abutment wall height H). As already mentioned, in the absence of thermal effects, two different scaling factors for the
deck and the abutment walls were employed to allow the bridge deck fit in the soil box. The soil behind the abutment
at each side of the box was about three times the height of the abutment wall, dimension that is considered sufficient to
avoid boundary interaction effects with the shear stack wall and to ensure free field conditions. The abutment wall and
the wall footing were made of 5083 type aluminium alloy plates (γal = 27 kN/m3, Eal = 69 GPa,νal = 0.3).
To inspect, access and operate in the internal space between the abutment walls during the experimental campaing, the

deck comprises four steel beams (γst = 80 kN/m3, Est = 210 GPa, νst = 0.3) having length of 1 m, width of 0.1 m each and
tickness of 0.03m. For the pile foundation, 16 hollow tubesmade of 6063 type aluminiumwith outer diameter dp = 22mm
and thickness tp = 1.2 mm, equally spaced at a distance of 300 mm, were employed. To allow for rotation of the pile cap,
the pile tips were not in contact with the base of the container. Instead, the pile tips were inserted into a plug realised by
superposing two 15mm-thick plywood layers, perforated at the locations of the eight piles. At the base of each plug, a disk-
shaped layer of PU foam with a 3 mm thick nylon disk on the top was placed to allow for vertical movement (Figure 4A).
The soil in the first 400 mm of the box was pluviated in layers and levelled at each layer having the instrumented piles in
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F IGURE 4 A, IAB model tested, B, relationship between dθ (Equation 4) and deck thickness (td)

position as shown in Figure 4A. To protect the instrumentation, the piles were not driven, but instead they were installed
in the box first, and the soil was pluviated around them. While this approach does not model installation effects (which
is not the focus of this research), it is common practice in such tests, as it does not affect the main phenomena explored
and allows for better control of the near-pile soil properties.76,77
The bolted connection between (a) the abutment walls and the footings (12 bolts per side), and (b) the abutment walls

and the deck (two bolts on each side of a beam, for a total of eights bolts per side) was made with M12 steel bolts (Fig-
ure 4B). The stiffness of the deck-abutment connection was checked bymeans of a static load test performed on the bridge
prototype, confirming that the stiffness was close to that of a fixed constraint. The connection between each pile and the
footing was made by hammering a 30 mm thick nylon hollow-cylindric plug provided with a M12 thread, inside the alu-
minium tube. Then, a riveted steel stud was inserted in the plug through a hole in the footing. In doing so, it was possible
to manufacture two configurations for the pile: (a) pile fixed to the footing (CP condition), made by fixing the stud with a
nut (female screw); (b) pile non-fixed (i.e., free to rotate) at the top by removing the nut.
To measure strains with strain gauges placed along the two faces of the wall, the wall should be sufficiently flexible,

a condition attained for dW > 5 (section 4.1). Considering dW = 15, in line with other related studies60, a wall thickness
tW = 32 mm was established by means of Equation 1 using, as a first approximation, GS ≈ 15 MPa, EW = 69000 MN/m2,
Hw = 0.6 m, and νW = 0.3. Based on the hypothesis that the strain gauges work at their minimum operational level (εa ≈

10−5), the minimum wall bending momentMd required to trigger the instrumentation is estimated at 125 Nm. Based on
this value and using the strength-of-materials equation

𝜀𝑎 = Md ⋅ 𝑡𝑤∕(2 ⋅ 𝐷𝑊) (11)

in conjunction with elementary Mononobe-Okabe theory,62 the minimum peak ground acceleration on the shaking table
required to trigger strain measurements is back-calculated at around 0.1 g.
A plot of dθ as a function of deck thickness td is displayed in Figure 4C. It can be observed that the parameter tends to

infinity for td ≤ 20 mm (flexible deck), to zero for td ≥ 60 mm and attains values between 0 and 10 for 20 ≤ td ≤ 60 mm.
In order to reproduce the relative flexibility between deck and abutment in the prototype IAB, a nominal deck thickness
td = 30 mm was adopted in the model.

4.3 Instrumentation layout

The instrumentation employed consists of accelerometers, strain gauges and LVDTs. The total number of channels avail-
able for the tests was 64. A total of 24 accelerometers (18 horizontal and six vertical) were installed. As depicted in Figures 3
and 4, accelerometers (two horizontal and two vertical) were mounted at the base of the shaking table and on the external
wall of the shear stack. Since themodel is symmetric, only one side (right side in Figure 3) of the shear stack is fully instru-
mented, with five horizontal accelerometers placed in the foundation soil, six horizontal accelerometers in the backfill,
with concentration in the area in front of the abutment wall and the free field, and around piles. Finally, seven accelerom-
eters were mounted on the bridge model to control the structural response and particularly the rocking of the footing, by
means of two vertical sensors placed at the end sections of the footing (i.e., 15 and 17). Strain gauges were placed on the
bridge model to monitor wall and pile bending: 10 on the central section of the wall and four on the footing, while other 18
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F IGURE 5 Layout of the strain gauges
on the model (A) longitudinal view, (B)
transversal view (channel numbering used in
section 5 for results presentation)

TABLE 3 List of selected accelerograms and associated information including record ID used in the tests, station code and component
considered (comp.) NS = North-South, EO = East-West, Z = vertical

ID Date (DD/MM/YY) Station VS,30 (m/s) Mw R (km) Comp. PGA (g) TR (years)
1 18/01/2017 AMT 670 5.4 14.4 NS 0.12 50
2 26/10/2016 CSC 698 5.4 20.2 NS 0.08 50
3 21/03/1998 SELE 519 5 10 EO 0.14 50
4 30/10/2016 CSC 698 6.5 15 NS 0.16 100
5 24/08/2016 AMT 670 6.2 8.5 NS 0.53 500
6 30/10/2016 AMT 670 6.5 26.4 EO 0.4 500
7 18/01/2017 AMT 670 5.4 14.4 Z 0.06 50
12 30/10/2016 AMT 670 6.5 26.4 Z 0.32 500

were put on two instrumented piles, as displayed in Figure 5. Finally, three horizontal and one vertical LVDTs were placed
on the wall to measure the corresponding transient and permanent displacement. The disposition of the strain gauges is
illustrated in Figures 5A and 5B where a longitudinal and transversal view of the IAB model is shown.

4.4 Selection, scaling and testing sequence of strong motion records

Strong ground motion records were selected using the Italian Accelerometric Network (RAN). The records are openly
accessible on the European Strong Motion Database website,78 (www.esm.mi.ingv.it). The 5% damped elastic reference
spectra according to the Italian code79 were defined for L’Aquila (Italy), characterised by medium to strong seismicity,
using three different reference return periods (TR) of 50, 100 and 500 years. A total of six horizontal and two vertical
ground motion were chosen - mostly from the records of the 2016 Central Italy earthquakes,80,81 with moment magnitude
(MW) ranging from 5 to 6.5 and epicentral distance (R) between 8 and 27 km. A soil B class was assigned based on VS
profiles (obtained with down-hole or cross-hole tests) to all the selected seismic stations, which are located in the Italian
municipalities of Amatrice (AMT), Cascia (CSC) and Sellano (SELE).
The complete list of selected ground motions is reported in Table 3. The spectra of the natural records were first com-

pared with the elastic reference spectra for L’Aquila at different TR’s to verify a rough spectrum compatibility. Then, an
equivalent linear analysis was performed using the code DEEPSOIL82 to deconvolve the selected records through the soil
to establish the ’bedrock motion’.78 This was done considering an initial damping ratio of 2% in softer layers and 0.5% in
harder layers83 and using the Seed and Idriss 1991 shear modulus reduction and material damping curves for sand as per
DEEPSOIL option.84 Figure 6A depicts the acceleration response spectra of the deconvolved input motions used in the
experimental tests, in the unscaled (solid lines) and scaled (dashed line) case, respectively.
Subsequently and according to the relationships developed in section 4.1, all original records were scaled (compressed)

in time by applying a scale factor λt = 5. The effect of time scaling is evident in Figure 6B by comparing the Fourier

http://www.esm.mi.ingv.it
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F IGURE 6 A, Pseudo-spectral acceleration (PSA) response spectra of the deconvolved unscaled (DU) versus deconvolved scaled (DS)
earthquake records by a time factor λt = 5; B, fast Fourier transform of earthquake records DU and DS

F IGURE 7 A, Frequency response for EPS2-CP in hammer tests, B, evolution of resonant frequency of all configurations determined
through white noise testsW1,W2,W3 andW4 as recorded by accelerometer 22

amplitude spectra. For a few cases, a time scale factor of 1 was adopted in order to excite lower frequencies. Accordingly,
the resulting sample frequencies are f = 200 Hz for λt = 1 and f = 1000 Hz for λt = 5. In the selection process, attention
was paid to frequency content by excluding time-scaled records (λt = 5) whose frequency content was close to the natural
frequencies of the shear-stack (Figure 7).57,85
For each of the test configurations reported in Table 1, the shear stack was excited by the selected strong motions in

the order outlined in Table 4, beginning with the five records at 1000 Hz sampling frequency (λt = 5) with increasing
return period. At the end of these tests, Record 6 (i.e., the deconvoluted signal for the 30/10/2016 AMT recording) was
applied with a sampling frequency of 200 Hz (S10 in Table 4). For configuration EPS1-noCP (disconnected pile heads and
one layer of EPS), an additional excitation step (S10) involving Record 6 (horizontal) and Record 12 (vertical) was applied
at a sampling frequency of 200 Hz to investigate the influence of vertical excitation on the response. The intermediate
exploratory white noise tests (stepsWi) listed in Table 4 were applied at the end of each suite of records corresponding to
a specific TR group (Table 3), to investigate the dynamic properties of the system at specific milestones. Such white noise
shakings were also employed before application of shaking to all new configurations (i.e., W1 in Table 4). This aimed at
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TABLE 4 Summary of the excitation sequence for each test configuration: H = horizontal motion V = vertical motion, SM = soil surface
measurement. Sampling frequency of 1000 Hz refers to records scaled by λt = 5

Step no.
Input motion
(IDs from Table 3)* SM Direction

Sampling
frequency (Hz)

W1 White noise Yes H −

S1 Record 1 No H 1000
S2 Records 1 + 7 No H + V 1000
S3 Record 2 No H 1000
S4 Record 3 Yes H 1000
W2 White noise Yes H −

S5 Record 4 Yes H 1000
W3 White noise Yes H −

S6 Record 5 Yes H 1000
S7 Record 6 Yes H 1000
S8 Records 6 + 12 Yes H + V 1000
W4 White noise Yes H −

S9 Record 6 Yes H 200
S10** Records 6 + 12 Yes H + V 200

*After deconvolution.
**Used only in the last testing configuration (EPS1-noCP).

achieving a preliminary densification after soil replacement and set up of a newmodel configuration (Figure 3). The white
noise signals had a bandwidth of 1-100 Hz and a root mean square value of acceleration equal to 0.005 g. Horizontal and
vertical hammer tests were also carried out before stepW1 and a horizontal one after stepW4. Laser pointers and manual
measurements were taken at fixed grid points to assess soil surface deformations. Such surface measurements were taken
after each step for records associated with TR = 100 years and TR = 500 years, while for records of TR = 50 years the
measurements were made only at the end (following step S4) as indicated in column SM in Table 4.

5 TEST RESULTS AND DISCUSSION

The tests results are reviewed to investigate, for each configuration and with increasing shaking intensity: (a) the natural
frequencies of the system (section 5.1), (b) the various acceleration responses and the free-field amplification (section 5.2);
(c) the displacement response of the abutment (section 5.3); (d) the bending strains in the abutment and the piles (section
5.4) and (e) the backfill settlement (section 5.5), aimed at capturing the nonlinear behaviour of soil and comparing the
different mitigation measures.

5.1 Natural frequency measurements (white noise - hammer test)

The resonant frequency of the model was investigated before, in-between, and after the input motions were applied. Two
major techniques, namely hammer and white noise, were used to this end. Hammer testing was conducted by impacting
the model structure with a piezo-electric load cell instrumented hammer. The resonant frequencies of the system were
identified by evaluating the transfer function between the input and output signals. A similar procedure was employed
for the white noise testing where the system was excited using the shaking table. In both hammer and white noise tests,
the response was investigated by processing horizontal acceleration readings.
Figure 7 illustrates the evolution of the resonant frequencies of the system throughout the experimental campaign. Since

typical IABs do not involve CIs and released pile heads, the noEPS-CP configuration was assumed as the benchmark case.
Prior to the application of seismic excitations, noEPS-CP, noEPS-noCP, and EPS1-CP systems all exhibited a fundamental
natural frequency around 14 Hz.
Upon application of excitation, an increase in natural frequency would be anticipated due to soil densification. This

trend was not manifested in tests with CIs (e.g. EPS2-CP in Figure 7B), possibly due to rearrangement of soil particles.
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F IGURE 8 Box with maxima values of acceleration in g for tests S1 (left) and S7 (right) (Table 4). Right side of the soil container is West

When the shaking was increased (i.e.,W3 toW4), no clear trend was obtained. This might be attributed to some disloca-
tions in the system.

5.2 Acceleration response

The analysis of the results in terms of acceleration response histories indicates that CIs decrease accelerations at the
abutment wall and increase those in the backfill. The thicker is the CI, the more pronounced is the trend. Connections
at the pile heads have only minor influence on these accelerations. Figure 8 depicts the maximum accelerations recorded
by the accelerometers for all configurations, for tests S1 and S7. Similar trends were observed for ’weak’ (S1) and ’strong’
(S7) seismic excitations.
Evidently, the accelerations for S7 (right column in Figure 8) in the free field array (accelerometers 3, 4, 5, 6 as per

Figure 3) attain the same value at the bottom of the soil container (about 0.2 g) regardless of the test layout. The free-field
array shows amplification along the soil column, and limited differences are observed between the different configurations
especially for accelerometers 3 and 4. The recording at accelerometer 5 (free field) and 22 (West wall of the shear stack)
are similar, thus confirming that the box is deforming together with the soil. The amplification effect in the free field
can be observed by the value of acceleration in accelerometer 6, which is larger than the one recorded lower in the same
soil column and reaching 0.35-0.4 g depending on the case. As expected, the free field acceleration is not affected by the
modifications in the soil-structure system and confirms that boundary effects were avoided in the experimental set up.
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F IGURE 9 Maximum amplification ratio amax(z)/a0 in the free-field. A, S7, B, mean value for all input motions in each configuration

The effect of CIs can be investigated by comparing the results obtained with and without the PU foam. For example, for
thenoEPS-CP configuration, the free field acceleration is 0.26 gwhile the values of acceleration recorded by accelerometers
10 and 12 are 0.31 and 0.35 g, respectively. Accelerometers 11 and 13, which are close to the ground surface, recorded peak
accelerations of 0.33 g and 0.35 g. The accelerations recorded in the backfill increase from noEPS to EPS1 and EPS2 cases.
For accelerometer 13 the recording is 0.33, 0.44 and 0.48 g, respectively, confirming the trend highlighted for test S7. While
in the case without CI the peak acceleration atop the bridge (i.e., accelerometer 20) was 0.46 g, it dropped to 0.42 g and
0.43 g with one layer and two layers of PU foam, respectively. This trend is confirmed by observations from parametric
studies on integral abutments.86 When the intensity is lower, as in test S1 (Figure 8 left), and in the absence of EPS, the
instruments located at 0.4 m depth recorded accelerations as high as those on the ground surface.
When the pile heads are disconnected from the footing, as in the noEPS-noCP case, peak accelerations for instruments

12 and 13 are 0.36 and 0.34 g, respectively, while the peak acceleration of the bridge is 0.43 g. Similarly to the case of piles
connected to the footing, noEPS-CP, the addition of a CI causes an increase in backfill accelerations (0.43 and 0.41 g for
accelerometers 12 and 13, respectively), while the acceleration on the bridge model is 0.36 g, which is the lowest observed
on the S7 test. This trend was not consistent in all tests (including S1), so it is not possible to confirm the beneficial effect
of pile head releases on acceleration.
Figure 9A reports, for all configurations, the amplification factors evaluated in test S7 for accelerometers 3, 4, 5, 6 (i.e.,

the free field array) by normalising acceleration responses with reference to the acceleration at the bottom of the container
(accelerometer 3). Figure 9B presents themedian values of the amplification factor for each configuration for all eight tests
(different records). A similar trend in the median values is observed, with maximum amplification ranging from 1.68 to
1.85. The consistent level of amplification recorded by the free-field array amongst the different configurations highlights
theminor effect of soil densification (soil in this locationwas not removedwhen preparing different experimental set-ups)
during successive tests. This is also partly due to the high initial relative density of the physical model (Table 1).
Figure 10A shows the acceleration response history in S7 test recorded by accelerometer 18 located on the West (right)

footing close to the wall, for all five configurations. It can be observed that the acceleration slightly increases when adding
the PU foam layers. For example, by comparing noEPS-CP (green plot) and EPS2-CP (black plot), the maximum absolute
acceleration is 0.24 g in the first case and 0.31 g in second one. Disconnecting the pile heads from the cap (magenta and
red plots) does not seem to have a considerable effect on accelerations.
It is worth noting that the levels of acceleration experienced by the bridge do not induce failure in the backfill (i.e., even

for the case of ’strong’ shaking S7); themargin of safety is at least 10 as computed based on available limit state solutions.34

5.3 Displacement response

Displacement responses obtained with LVDTs show a reduction in displacements for the configurations with a CI. The
reduction is higher for the cases with two layers of PU foam. Figure 11 presents the peak displacements recorded at the
base and top sections of the abutment wall.
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F IGURE 10 A, Time histories of horizontal acceleration recorded by accelerometer 18 (footing toe); B, time-histories of horizontal dis-
placement recorded by LVDT, #57 in Figure 2, (abutment wall bottom) for each testing configuration and for shaking step S7 as per Table 4

F IGURE 11 Peak displacements
recorded at: A, abutment base; and b,
abutment top for all configurations listed in
Table 2 and each shaking step (Si) listed in
Table 4

The responses presented in Figures 10 and 11 are quite similar. The trends are in all cases consistent, with the exception of
EPS1-noCP. In this case the dispersion is also higher, and the difference relative to the other casesmight be caused by some
incidental variations of the load and the slight change in natural frequency of the system. In general, from a displacement
viewpoint, there are no significant differences between the analysed cases, but some trends of the beneficial influence of
EPS and noCP can be observed. LVDTs for bridge displacement monitoring were positioned on the East abutment wall,
to avoid disturbing the strain gauges mounted on the West abutment. Figure 10B presents the displacements recorded by
LVDT 57, which are located at the bottomof the East abutmentwall. Such displacements have been also slightly influenced
by the rocking of the wall foundation allowed in the set up. A preliminary assessment of foundation rocking carried out
via double integration of the difference in vertical acceleration between accelerometers 15 and 17 showed that rocking
rotation is of the same order of magnitude as the rotation of the wall evaluated by double integration of the vertical
accelerations recorded by instruments 16 and 20, being about ∼40% to ∼ 60% of the rocking rotation of the footing for
different configurations.
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F IGURE 1 2 A, Maximum; and B, minimum bending strain on the abutment wall to S7

F IGURE 13 A, Maximum, and B, minimum pile bending strain on the East pile; C, maximum, and D, minimum pile bending strain on
the West pile to S7

For the configurations involving pile heads connected to the footing, there is a reduction in terms of maximum dis-
placement when passing from noEPS-CP configuration (0.26 mm) to EPS1-CP (0.22 mm). On the other hand, almost
equal displacements are obtained for the EPS2-CP case. Disconnecting the pile heads from the footing leads to a slight
increase in absolute maximum displacement that is 0.3 mm for noEPS-noCP and 0.23 mm for EPS1-noCP.
The noEPS-CP configuration with the highest recorded values of natural frequency after the S4 shaking event exhibited

the largest abutment wall top displacement, as depicted in Figure 11B.
Comparison of the displacements for configurations EPS1-CP and EPS2-CP suggests that the increased thickness of the

CI may cause a softening effect around the abutment wall, where the structure is not adequately restrained by the backfill
against lateral displacement. Indeed, the configuration with a single layer of CI, EPS1-CP, experiences lower levels of
lateral translation under the action of the applied input motions. Similar findings are reported by Bathurst et al45 where
the insulation efficiency of the CI is given as a function of the wall height and the ratio of excitation-to-wall natural
frequencies. As can be seen from Figure 7, EPS1-CP has the lowest natural frequency (about 9.5 Hz) in the third white
noise test whichwas conducted immediately prior to S6 excitation. Displacements are also affected by the different natural
frequencies of the test configurations.86 The above observations can be used in a comparative way to estimate the potential
benefits in terms of displacement decrease for IABs when such mitigation measures are employed.

5.4 Strain response

Strain gaugemeasurements along the stem of the wall (Figure 12) and the piles (Figure 13) confirm some of the anticipated
trends as to the effectiveness of themitigation strategies explored in the experimental campaign. Evidently, the presence of
CI along the height of the wall leads to a reduction in bending strains, with the 60 mm thick layer of PU foam being more
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effective than the 30 mm one. Pile head release alone is not sufficient to reduce wall bending, as the rotational stiffness
of the footing is naturally governed by axial action in the two pile rows. On the other hand, when pile head release is
employed in combination with PU foam, a higher bending reduction is achieved. The difference in shape between the
two plots in Figure 12 can be attributed to the different response behaviour due to the active and passive resistance of
the backfill under dynamic conditions. This complex behaviour is a key feature of IABs and has been investigated by
some authors for the case of daily and seasonal cyclic motion due to thermal loading.87,88 The topic of active and passive
pressures in IABs needs further investigation in numerical studies for calibration of lateral pressure coefficients that can
lead to more economical designs.
Figure 12 presents the variation of wall bending strain εw calculated from strain measurements on the abutment wall

(strain gauges 47, 49, 51, 53, 55, Figure 5). The εw plots correspond to two different time instants, namely when the max-
imum (positive, i.e., tension of wall outer fibre - the one not in contact with the soil) and minimum (negative, i.e., com-
pression of the same fibre) dynamic bending strains are attained. The strain response obtained in test S7 is reported for
all five configurations. Figure 12A shows the maximum dynamic strains. The maximum strain is naturally reached at the
bottom of the wall: for noEPS-CP is −1.36∙10−5, while, for EPS1-CP and EPS2-CP is −1.34 and −1.24∙10−5, respectively.
In the configurations, the piles were disconnected, the strain decreases from −1.59∙10−5 to −1.25∙10−5 for noEPS-noCP to
EPS1-noCP, respectively. εw strains are zero at about half of the abutment height. In the upper portion of the wall, the
maximum value is reached in configuration noEPS-CP, with a value of 4.85∙10−6. Figure 12B presents the minimum strain
εw diagrams. At the bottom of the wall (strain gauge 48), εw for the case with connected piles are 1.95, 1.61 and 1.45∙10−5
for noEPS-CP, EPS1-CP and EPS2-CP, respectively. In the disconnected case, the minima are 1.75 and 1.4∙10−5 for noEPS-
noCP andEPS1-noCP, respectively. The shapes of strain distributionsmatch those in recent comparative numerical studies
available in literature, even if there is a lack of studies addressing cases involving CIs under seismic conditions. Four main
observations can be made: First, the variation of bending with depth is not hydrostatic - in accord with available numer-
ical studies.11 Second, the maximum and minimum strain profiles are nearly symmetric, which provides evidence as to
a certain degree of linearity in the backfill response and, thereby, justification as to the use of elastodynamic methods in
relevant seismic earth pressure problems (Veletsos and Younan67,89). Third, bending at the top is small, which is in accord
with the large value of the corresponding dθ parameter (section 4.1) and provides evidence as to a limited expected amount
of bending due to thermal action as well. Fourth, the bending strains in the wall aremuch lower than those in the piles (by
over two orders of magnitude), which suggests that the body of the wall is not a critical region for the safety of the system.
Figure 13 presents the dynamic bending strain εp in the two instrumented piles, defined as 𝜀𝑝 = 𝑀 ⋅ 𝑟∕(𝐸𝑝𝐼𝑝),M being

the bending moment, r the pile radius and Ep and Ip the pile’s Young modulus and moment of inertia, respectively.90 The
figure shows themaximumandminimum εp on theEast pile andWest pilewhen subjected to testS7 groundmotion, versus
dimensionless depth from ground surface, z/d. The maximum strains recorded by the sensor located at the top of the piles
are shown in Figures 13A and 13C. The finite value of bending at the pile head in Figure 13A is due to the imperfectmoment
release given the presence of friction between the pile, and the stud yet is not considered significant enough to hinder the
comparison between the ’released’ and ’non-released’ configurations. For the minimum moment (Figures 13B and 13D)
similar observations can be made. In Figure 13B, the strains are 8.2, 6.7 and 10 × 10−3 for noEPS, EPS1 and EPS2, respec-
tively, in the connected pile (CP) configuration, while, when the pile heads are not connected, they drop to 1.3 and 1× 10−3.
This highlights the beneficial role of pile head release in reducing bending moments. Yet, the transfer of seismic bending
demand deep down the piles is not prevented by the head release (Figures 13B and 13D). Considering the ’active pile length’
that is the length beyond which a pile behaves as an infinitely long flexural beam,91,92 this is estimated to be around 0.2 m
(10 pile diameters) that is, half the total length of the pile. Accordingly, any forces or movements acting at the pile tip do
not affect the response at the pile head and vice versa. This feature of the response is supported by the near-zero bending
at z/d = 12, which is expected to stay small all the way down to the pile tip given the hinged condition in that location.
By observing the strain profiles, a point of contraflexure appears close to the second strain gauge (z/d = 3.15, corre-

sponding to z = 0.07 m); the maximum values of dynamic bending strains were recorded at z/d = 9.9, corresponding to
z = 0.22 m. At 0.3 m from the top (z/d = 13.5), the strain is close to zero. This particular trend, both for noCP and CP
configurations, is consistent with results from the literature.90,93

5.5 Settlements

Settlement measurements seem to indicate a possible beneficial behaviour of the configuration with one layer of CI
and connected piles. Measurements were performed manually in discrete locations on the backfill surface, so only
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F IGURE 14 Backfill settlement following: A, shaking S1, B, shaking S7 (Table 4) measured with respect to the deck height and C, settle-
ment difference between the cases in (A) and (B). In all curves, settlement u and horizontal distance from the abutment s are normalised by
the wall height Hw

indicative trends could be established. The measured settlements provide a lower bound of settlements at prototype scale
given the high relative density (and thereby dilatant behaviour) of soil in the physical model. However, the comparison
of the behaviour between the different configurations tested is valuable from a qualitative viewpoint. Figure 14 shows the
settlement measured over a grid of 30 points along three lines on the backfill. The settlement observed after the S1 event
(Figure 14A) is indicative of the compressibility of the backfill against the horizontal restraint imposed by the CI or in its
absence. Settlements are important for the design of IABs which can be useful for the design of transition slabs and for
preventing road pavement damage.96 The deformed soil profiles after S1 demonstrate that the presence of CIs forces the
backfill to expand laterally until equilibrium in the horizontal direction is achieved. The EPS2-CP configuration allows
lateral ingress of sand towards the inclusion whereby the lost soil volume is compensated by backfill settlement. More sig-
nificant results are obtained when the difference between settlements in each configuration is investigated (Figure 14C).
Excluding the EPS2-CP case (i.e., the first configuration tested - Table 2), which looks like an outlier, the EPS1-noCP case
seems the one with the smallest settlements.

6 CONCLUSIONS

The work at hand reports on experimental results from a novel shaking table testing programme conducted on a physical
model of an Integral Abutment Bridge (IAB) to investigate SSI effects between the bridge, the abutment, the backfill and
the pile foundation, in presence/absence of compressive inclusions placed between the abutment wall and the backfill,
as well as moment releases at the pile heads. Using a new set of similitude equations developed as part of this project, the
bridge model was designed to fit the soil container at EQUALS laboratory, University of Bristol, and properly represent a
prototype. The experimental campaign employed five different IAB configurations realised by (a) varying the number of
Compressible Inclusion (CI) layers between the abutments and the backfill (no layers, one layer, two layers), (b) connecting
or disconnecting the pile heads from the abutment footing (pile cap). Each configuration was subjected to a minimum of
13 different excitations involving a combination of white noise signals and recorded earthquake time histories from the
Italian ground motion database. Over 75 tests were conducted in total, recorded by 64 data acquisition channels which
generated 4800 time histories of data.
The following conclusions were drawn:

1. The analysis of the acceleration response in the free field array identified an amplification pattern from the bottom
of the soil container to the ground surface, which was not affected by changes in the structural configuration and
confirmed the undisturbed conditions aimed during the rig design.

2. The backfill accelerations consistently increase with increasing thickness of the CI (i.e., two layers versus one layer),
due to the decrease in lateral restraint imposed by the abutment wall.

3. On the other hand, the accelerations on the bridge tend to decrease with the addition of CIs. The reduction is more
pronounced for higher earthquake intensities, which suggests nonlinear soil behaviour. The beneficial effect of the CI is
also evident at the base of the abutment wall, where a significant reduction in horizontal displacements was observed.
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4. Disconnecting the pile heads from the abutment footing does not alter the horizontal wall displacements at the base,
regardless of presence/absence of a CI.

5. The bending strains in the abutment wall decrease in presence of a CI. Disconnecting the pile heads from the footing
further decreases bending in the abutment.

6. Bending strains in the piles are over two orders of magnitude higher than those in the abutment wall. This difference is
expected to increase when a smaller number of piles (e.g. a single row) is employed. The release of pile heads from the
footing is also effective in reducing bending near the pile head, yet it does not prevent development of bending deeper
down the pile due to kinematic pile-soil interaction.

7. Some of the scaling laws adopted in the structural engineering literature, such as that for dynamic time, should not
be used in SSI problems like the one at hand, as they do not account for the dependence of soil shear modulus on
overburden pressure.

8. The levels of acceleration experienced by the bridge are not strong enough to induce failure in the backfill as the associ-
ated safety factors based on available limit-state solutions are in excess of 10. This justifies the use of linear/equivalent-
linear procedures in the work at hand.

As a final remark, it is fair to mention that additional studies including an extensive numerical investigation would be
needed to extend quantitatively all the results from model to prototype scale, overcome certain limitations of the experi-
mental set up (including pile installation effects, variation in soil relative density, boundary effects in the soil box, details
of bridge geometry) and explore configurations not considered in this campaign.
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